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Abstract 

Current design standards require that beam-column joints should withstand a minimum tie force 

in the case of an extreme loading event resulting in the loss of one or more columns to prevent 

progressive collapse of a building. However, research has shown that nominally-pinned steel 

beam-column joints, which are commonly used in non-seismic areas and in the gravity frames of 

seismically-designed frames, are not capable of providing the required tie force while 

undergoing significant rotations imposed by a loss of column event. This paper proposes a set of 

novel structural details that can be added to industry-standard nominally pinned joints to increase 

both their tensile resistance and rotation capacity. The proposed structural details exploit the 

exceptional strength and ductility of duplex stainless steel pins (SSPs) under bending. SSPs are 

strategically placed in a way that they do not interfere with the behaviour of the joint under 

gravity loads. The monotonic fracture capacity of SSPs is first experimentally evaluated and the 

calibration of numerical models that can capture the fracture behaviour of the SSPs follows. 

Using the calibrated numerical models, a parametric study was carried out to identify optimal 

geometries of SSPs to reliably achieve the required levels of tie force and rotation in a joint. 

Finally, two previously tested vulnerable fin plate joints are used as design cases to demonstrate 

the effectiveness of the proposed structural details to increase the resistance against progressive 

collapse of nominally-pinned joints. 
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1. Introduction 

Buildings should be designed for robustness to avoid progressive collapse and its devastating 

results in case of column loss due to blast or impact loads (e.g. London 1968, Oklahoma City 

1995). Eurocodes [1] use the tie-force method to ensure robustness. In terms of joints, which are 

the most critical components in a loss of column scenario [2], their resistance against the tie 

forces is calculated without accounting for the large joint rotations needed to develop the actual 

tying load transfer mechanism (known as catenary action). On the other hand, the Unified 

Facilities Criteria [3] stipulate tie resistance at a joint rotation of 0.2 rad, which is larger than the 

typical joint rotation capacity. 

The most widely used joints in non-seismically-designed buildings and in the gravity 

frames of seismically-designed buildings are the fin plate, partial-depth end plate, and full-depth 

end plate, which are typically designed as nominally pinned. Fin plate joints fracture before the 

development of catenary action due to bearing of the beam on the column [2], while dynamic 

tests show that strain rate reduces their ductility [4, 5]. Experimental and numerical research has 

shown that composite floors using nominally pinned joints are vulnerable to progressive collapse 

even when membrane action in the slab is activated [6, 7, 8]. In general, extreme increases in the 

rotation capacity of nominally pinned full-depth end plate joints are needed to arrest progressive 

collapse [9]. Dynamic tests on partial-strength full-depth end plate joints show insufficient 

ductility to mobilize catenary action [10]. Conventional methods to increase their strength and 

ductility, such as oversize of the bolts and specific detailing of the slab steel reinforcement [11], 

do not apply to retrofit of joints and do not achieve enough ductility to safely arrest progressive 

collapse. Full-strength moment-resisting joints (e.g. welded joints or bolted joints with welded 

components) can increase robustness through their larger ductility [12, 13] but are either 

expensive or unsuitable for rapid assembly and disassembly. Based on the above, there is a clear 

need for more robust design/retrofit schemes for nominally pinned joints of new/existing 

buildings, which are widely used in both seismic and non-seismic regions. 

Optimized, hourglass-shaped, stainless steel pins (SSPs) were previously used as energy 

dissipating devices in seismically designed self-centering moment resisting frames [14, 15] and 

braced frames [16]. These studies showed that SSPs have excellent fracture capacity under 

seismic loading. Fig 1a shows the geometric characteristics of an SSP, which are the external 

diameter, De, internal diameter, Di, and length, LSSP of the bending (hourglass) part. Fig. 1b 
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shows an SSP sustaining an imposed displacement multiple times larger than its yield 

displacement without fracture [15]. 

This work proposes a novel application of SSPs for progressive collapse mitigation in 

steel buildings using nominally pinned beam-column joints. The conceptual description of the 

proposed joint configuration is introduced first and its mechanics are explained. The 

experimental evaluation of different SSP geometries under monotonic loading up to fracture is 

presented, followed by the calibration of numerical models for the accurate simulation of the 

SSP behaviour in the Abaqus software [17]. The calibrated numerical models are then used to 

conduct a parametric study and provide a design methodology for the proposed joint equipped 

with SSPs of various geometric characteristics. Finally, two previously tested vulnerable beam 

column joints are used as case studies to validate the feasibility of the proposed retrofit scheme. 

2. Description of novel joint details for superior robustness 

The proposed joint configuration consists of an industry standard nominally pinned joint 

equipped with SSPs and additional structural details. Fig. 2a shows the individual components 

for the case of an exterior central column and full-depth end plate joints. The individual 

components are the main beams (items 1), transverse beam (item 2), supporting plates (items 3), 

SSPs (items 4 and 5), and full-depth end plates (items 6). If needed, reinforcing plates should be 

welded on the beam webs (items 7). The joint fabrication starts by drilling, at appropriate 

positions (see Fig. 2a), circular and rectangular holes on the column flanges, beam webs, and 

supporting plates. The SSPs passing through the main beams should be installed at mid-height of 

the beam (close to neutral axis of the beam section) to minimise their structural contribution 

under gravity loads. The holes on the beam webs are oversized while those on the column 

flanges and supporting plates have the minimum possible clearance with respect to the external 

diameter of the SSPs. The beams are bolted on the column with industry standard full-depth end 

plates. The supporting plates pass through the column flanges and the transverse beam web. 

SSPs pass through the main beam and the supporting plates, and, through the transverse beam 

and the column flanges. The SSPs are finally secured against sliding along their longitudinal 

direction with nuts that are threaded or welded on their two external parts. This step completes 

the assembly of the joint, which is shown in Fig. 2b. In the case of an exterior corner column, the 

supporting plates could be fabricated to form a U-shape element, as shown in Fig. 2c. In cases 
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where there is not enough space for the supporting plates to pass through the column flanges, 

they can pass outside the column. Similar configurations can be realized for interior columns and 

any combination of nominally pinned joint (e.g. fin plates, partial-depth end plates) and 

geometry of beams/columns. 

Fig. 3 shows the behaviour of the proposed joint in the case of loss of the nearest column 

in the main beam direction. At a joint rotation θ1, the SSPs to the right of the column bear on the 

beam web and activate horizontal movement of the supporting plates. The SSPs to the left of the 

column follow this movement until they also bear on the beam web at a joint rotation θ2, which 

is approximately equal to 2θ1. At this point, the SSPs provide tie resistance to the joint by 

developing forces due to elastoplastic bending (see Fig. 1b). The holes on the beam webs are 

oversized so that θ2, which corresponds to SSPs activation, is larger than the joint rotation under 

gravity and wind loads. By assuming that all SSPs have the same geometry, the horizontal tie 

force, TSSP, is simply obtained as nSSP(kSSP/2)d(θ-θ2); where nSSP is the number of the SSPs at 

each side of the column, kSSP is the tangent stiffness of one SSP, d is the distance of the SSPs 

from the centre of rotation of the joint, and θ is the joint rotation. The tie force in the case of loss 

of a column in the transverse beam direction is obtained using similar equations and taking into 

account the bending of the supporting plate. 

3. Experimental evaluation of the monotonic fracture capacity of SSPs 

To comply with the UFC [3] requirements, the SSPs should be designed to provide the required 

tie force at a joint rotation at least equal to 0.2 rad. The above requirement means that the 

minimum fracture capacity of the SSPs, δf,min, at a joint rotation θ= 0.2 rad, can be expressed in 

terms of horizontal displacement as δf,min= 0.2d (see Fig. 3a). Under large displacements, when 

there is no contact between the beam and column after rotation (see Fig. 3b), δf,min may be larger 

than the above value. Determination of δf,min in these cases is discussed later. The experimental 

programme described herein aimed at evaluating the fracture capacity of SSPs under large 

monotonic loading. 

3.1.Specimens and test setup 

The test setup reproduces the proposed joint configuration in the main beam direction. The test 

setup is schematically shown in Fig. 4a. The lower supporting plates consist of two vertical 40-
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mm thick plates that represent the supporting plates passing through the column flanges (items 3 

in Fig. 2) and are welded on a 60-mm thick horizontal plate. The upper supporting plates consist 

of a 35-mm thick vertical plate that represents the beam web along with its web stiffeners and is 

welded on a 50-mm thick horizontal plate. Two additional vertical plates were welded on the 

horizontal plates to be gripped by the jaws of the loading machine (indicated as top grip and 

bottom grip in Fig. 4a). Detailed dimensions of the plate assembly are given in Figs. 4b and 4c. 

Two additional horizontal stiffeners of dimensions 385×150×24 mm were welded as shown in 

Fig. 4a to prevent out-of-plane bending of the vertical plates due to high axial forces in SSPs at 

large displacements. Note that in a real building the inwards bending of the supporting plates will 

be unavoidable; however, in the experimental setup this was excluded by the use of the 

aforementioned stiffeners in order to achieve a consistent comparison of the specimens in terms 

of force versus relative displacement response. In addition, this represents a worst case scenario 

for the displacement demand of an SSP. 

The SSPs were inserted into aligned holes pre-drilled on the vertical plates, as shown in 

Fig. 4a. The top row of holes was used to test the larger SSPs and the bottom row was used to 

test the smaller SSPs. The diameter of the holes of the upper vertical plate were oversized by 

5 mm with respect to the diameter of the SSPs to comply with the joint provision. The plate 

assembly installed in the loading machine is shown in Fig. 4d. 

Six different SSP geometries were tested according to Table 1 and the specimen 

dimensions are shown in Fig. 5. Two tests were conducted on each geometry, one with welding 

the nuts on the SSP ends, as shown in Fig. 6a; and the other one with bolting the nuts on the pre-

threaded surface of SSPs, as shown in Fig. 6b. The first part of the naming of each specimen 

refers to the dimension of De (26 and 31 mm); the second term is the ratio ρ= De/Di, assuming 

values of 1.0, 1.25 and 1.5; and the last character refers to whether the nuts are welded (W) or 

bolted (B) to the SSP. Note that the ratio ρ= 1.0 corresponds to a uniform cylindrical shape of the 

bending part of an SSP, i.e. not an hourglass shape. This case was tested contrary to the findings 

of previous research on SSPs under cyclic loading [15], which showed that the hourglass shape 

significantly increases the fracture capacity of an SSP due to a uniform distribution of plastic 

deformations along the length of the bending parts. However, since the loading under 

progressive collapse conditions of the proposed joint is monotonic, the case of ρ= 1.0 was judged 

as worth investigating in this study.  
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3.2.Material property tests 

All plates were made of structural steel S355 with nominal yield strength equal to 355 MPa. 

SSPs were made of duplex stainless steel grade 1.4462 [18]. To determine the actual material 

properties of duplex stainless steel, three uniaxial tensile coupon tests made of the same material 

as the SSPs were conducted. The coupons consisted of uniform round bars with an external 

diameter of 24 mm, tapered to a reduced diameter of 8 mm [19]. The obtained mean Young’s 

modulus E, yield stress fy (defined by the 0.2% offset strain), ultimate stress fu and elongation at 

fracture were equal to 166 GPa, 550 MPa, 740 MPa and 46%, respectively. 

3.3.Loading and instrumentation 

The testing machine has force and displacement capacities of 2000 kN and 250 mm, 

respectively. The bottom grip was fixed to the base, while the load was imposed by displacement 

control through the top grip. A total of 12 monotonic pseudo-static tests were performed, at a rate 

of 2 mm/min, until a complete fracture of the specimen was observed. The relative vertical 

displacement of a specimen was monitored using two Linear Variable Differential Transformers 

(LVDTs) located on each side with a displacement capacity of 300 mm.  

3.4.Experimental results 

The experimental results are summarized in Table 2 in terms of yield displacement, δy; yield 

force, Fy; displacement at peak force, δp; peak force, Fp; ductility ratio, µ= δp/δy; and over-

strength ratio, Rs= Fp/Fy. Figs. 7 and 8 show the force versus displacement responses of all SSPs.  

δy and Fy were determined as the point of intersection between the elastic and the initial 

post-yield tangent stiffness lines shown in Fig. 7 and 8. δy is in the range of 3.66-4.96 mm for the 

smaller specimens and 4.40-5.56 mm for the bigger specimens. Note that the above displacement 

values are calculated by deducting the initial gap between SSP and the internal plate. Fy is in the 

range of 60-73 kN for the smaller specimens and 101-136 kN for the bigger specimens. While 

there is no clear correlation between δy and ρ, the results show that Fy is greater in SSPs with 

ρ= 1 than in SSPs with ρ= 1.25 or 1.5. The difference in Fy between specimens with ρ= 1 and 

specimens with ρ= 1.5 is 18% in the smaller SSPs and 26% in the bigger SSPs. This difference is 

attributed to the fact that the hourglass-shape causes the plastic hinges in the bending parts of an 
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SSP to get closer; as a result, the yield strength of an SSP is reduced. Note that the design 

equations proposed in [15] give a 68 kN yield force for the smaller SSPs and 115 kN for the 

bigger ones. These values are reasonably well within the experimentally obtained yield forces. 

From Table 2 and Figs. 7 and 8, it is evident that the ductility and over-strength ratios 

are highest at the specimens with ρ= 1. In particular, µ= 26.7 and 19.8 in specimens 26-1-W and 

31-1-W, respectively; these values are roughly double than the corresponding values observed in 

26-1.5-W and 31-1.5-B (12.4 and 10.6, respectively). Likewise, the over-strength factors are 7.3 

and 5.9 in specimens 26-1-W and 31-1-W; much higher than the values 3.6 and 3.5 achieved in 

specimens 26-1.5-W and 31-1.5-W, respectively. In addition, it is observed that the smaller 

specimens (De= 26 mm) achieved higher ductility and over-strength ratios than the bigger ones 

(De= 31 mm) regardless of the ratio ρ. 

Fig. 9 illustrates the fractured specimens after testing. It is observed that all the 

specimens with ρ equal to 1.25 or 1.5, i.e. the specimens with hourglass-shaped bending parts, 

fractured at the section with the lowest diameter, Di, at the left bending part. This indicates that 

in these specimens, fracture occurred at the weakest section due to a combination of high axial 

and shear forces, whereas the bending moment at this section is considered negligible due to the 

assumption of a fixed ends beam static system. On the other hand, specimens with ρ= 1.0, i.e. the 

specimens with uniform cylindrical bending parts, fractured at the section De, near the internal 

support except specimen 26-1-B, which fractured at the section De near the external support. 

This indicates that in these specimens fracture occurred at the section where axial force, shear 

force and bending moment act simultaneously. No cracks were noticed in other parts of SSPs. 

There is no difference between the results obtained by either welding or bolting the nuts to the 

SSPs. However, the bolted method is preferred due to its simplicity and decreased installation 

time. 

From the experimental results, it is concluded that SSPs with an hourglass shape, 

although they are optimised for cyclic loading, they are not optimal for maximising the 

monotonic fracture capacity. Instead, SSPs with a uniform cylindrical shape should be used for 

the specific application; they also provide the advantages of easier and faster fabrication and 

greater economy with respect to their hourglass-shaped counterparts. 

4. Numerical simulation of SSPs under monotonic loading 
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4.1.Model description 

The commercial software Abaqus [17] was used to numerically simulate the tests on the SSPs. A 

finite element method (FEM) model was created for each geometry of SSP tests. To reduce the 

computational cost, each numerical model reproduced only a quarter of the corresponding 

specimen, exploiting the symmetric geometry and boundary conditions of the test setup.  

All parts were modelled using solid hexahedral elements with reduced integration 

(C3D8R). The typical element size for both the vertical and horizontal plates varied between 5 

and 25 mm. The bending part of each SSP was discretized using a mesh size of 3 mm for the 

circumference and 1 mm along the longitudinal axis. Fig. 10 shows the FEM model for a test 

including the mesh discretization. 

Surface-based tie constraints were defined between all welded parts, i.e., the external 

plate welded to the base plate and to the horizontal reinforcing plate, and the steel nut either 

welded or bolted to the SSP. The general contact algorithm for all element faces and model 

entities was applied to define the interaction between the external surfaces of the SSP and the 

holes in the external and internal vertical plates. The normal contact behavior was defined as 

‘hard’ contact, allowing for the separation of the surfaces after contact, and the tangential 

behavior using the penalty method with a friction coefficient equal to 0.2. 

Symmetric boundary conditions were applied to the two symmetry planes, i.e. the planes 

XY and YZ in Fig. 10. The bottom plate was restrained at the end of the lower surface for a 

length of 25 mm to simulate the bottom grip support of the test setup. A displacement boundary 

condition was applied on the upper surface of the internal plate, as shown in Fig. 10a, to simulate 

the monotonic loading in the tests. 

The explicit algorithm was used to run the analyses, as it is very efficient to solve large 

numerical problems with highly non-linear and fracture behaviour. To ensure a quasi-static 

solution as in the tests, the loading rate was between 2-4.4 mm/sec, and the ratio of the kinetic to 

internal energy was monitored and kept below 5%. A semi-automatic mass scaling with a target 

increment size of 0.0001 sec was activated to increase the required increment and consequently 

accelerate the analysis. 

4.2.Material modelling 

Elastic-plastic material models with isotropic hardening were adopted for the duplex stainless 
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steel and S355 steel materials. For the plasticity model of the S355 steel material, the nominal 

value of the yield stress and a hardening modulus of 1000 MPa were defined. The plastic law for 

SSPs was obtained using the results of tensile coupon tests on duplex stainless steel machined 

from the same batch as the SSPs. Prior to necking, the engineering stress (σeng) and strain (εeng) 

were converted to the corresponding true values (σtrue and εtrue) using the equations:  

 𝜎!"#$ = 𝜎!"# (1+ 𝜀!"#) (1) 

 𝜀!"#$ = ln 1+ 𝜀!"#  (2) 

To describe the true stress-strain response after the onset of necking, different approaches and 

procedures have been proposed, such as exponential laws, power functions, and linear or multi-

linear relationships [20]. In this work, the true stress strain law of the duplex stainless steel was 

found according to the following steps: a) the fracture stress and strain were initially estimated 

using the measured area at the necking after fracture and the corresponding fracture point was 

connected with the point at the onset of necking with a straight line; b) the slope of the above 

straight line was modified using the Bridgman correction [21]; c) the line after necking was 

further modified to match the force-displacement response of the coupon tests. This required a 

number of iterations with a complementary FEM model of the coupon test. The 8-mm diameter 

round bar tensile test (named RB8) was modelled in Abaqus/Explicit using a solid-element 

model with a mesh size of 0.5 mm. A good agreement was achieved using the multi-linear stress 

strain law of Fig. 11a, as shown by the experimental-numerical comparison of Fig. 11b. 

4.3.Calibration of ductile fracture parameters 

For the calibration of the SSP fracture initiation, the stress-modified critical strain (SMCS) 

criterion [22] was used. In the general form of the SMCS model, the equivalent plastic strain at 

fracture, 𝜀!
!", depends on the stress triaxiality, T: 

 𝜀!
!" = 𝛼 exp −𝛽𝑇  (3) 

being 𝛼 a toughness index related to the material ductility and 𝛽 a material parameter 

representing the stress triaxiality dependency. This model is built-in in Abaqus and uses a 

damage accumulation rule and an element removal option to define fracture [17]. 

To determine the ductile fracture initiation parameters α and β, at least two different sets 

of stress states are needed which can be provided by circumferentially notched specimens 
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(CNSs) tests and round bar tensile tests. Varying the ratio between the notch root radius, dNR and 

the notch radius, RN, different levels of the maximum triaxiality at the centre of the necked cross 

section, Tmax, can be obtained. In the present work, three notched specimens, shown in Fig. 12, 

with a local radius of the smallest section equal to 4 mm and a round bar having the same radius 

(Table 3) were used for the calibration of Eq. 3. Note that a round bar can be assumed as a 

notched specimen with 𝑇!"#= 0.33. 

Complementary FEM analyses were carried out modelling each CNS in Abaqus/Explicit, 

using a material model without the damage criterion. Both material and geometrical 

nonlinearities were considered. A refined mesh having an average element size of 0.1 mm was 

adopted in the notch region of the specimens, while a mesh size of 3 mm was used for the 

remaining parts of the model, as shown in Fig. 13. The lower surface was fixed while the other 

end was free to allow axial displacement, applying a target displacement of 3, 4.5 and 5.5 mm 

for CNS2, CNS4 and CNS8, respectively (being 2, 4 and 8 mm the radius of the notch). 

The comparisons between numerical and experimental results, reported in Fig. 14 

(denoted as FEM w/o damage), show a good agreement in terms of load versus displacement 

curves for all coupon tests. Assuming the fracture initiation coincides with the experimental 

sudden loss in load, the damage initiation point in terms of displacement, 𝛿F, was then identified 

in the experimental curves (point F in Fig. 14) for CNS2 and round bar. Then, equivalent plastic 

strain, 𝜀!", and triaxiality values, T, were extracted from the FEM analyses at the centre of the 

notched zone for CNS2 (where fracture initiates – [23]) and at the centre of round bar mid-

length. The average values of triaxiality Tavg were calculated, based on the following equation: 

 𝑇!"# =
1
𝜀!
!" 𝑇𝑑𝜀!"

!!
!"

!
 (4) 

and the system of the two equations resulting from substituting the critical values (Tavg and 𝜀!
!" 

equal to 1.18 and 0.87 for CNS2, and 0.55 and 1.72 for RB8, respectively) in Eq.3 was solved 

for α and β. This procedure resulted in the values α = 3.141 and β = 1.089. 

After damage initiation, the stress-strain relationship is no longer representative of the 

material behaviour and the material stiffness is degraded progressively according to the specified 

damage evolution law [17]. In this case, because α and β were calibrated on the rupture point, a 

low value of the fracture energy per unit area was specified in order to obtain a quasi-

instantaneous failure. After that, the elements were removed from the model.  
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4.4.Calibration of shear damage parameters 

The ductile damage has proven to be accurate for predicting fracture in high stress triaxialities, 

but previous works have shown that SMCS-type models cannot describe with accuracy the 

effects of low triaxiality or the Lode parameter [23]. Bao and Wierzbicki (2004) [24] proposed a 

fracture model where the fracture locus was characterized by three different regions: in the range 

of negative stress triaxialities (-1/3 < T < 0) the fracture mode is dominated by shear failure, for 

high stress triaxialities (T > 0.4) fracture depends on void formation, while between these two 

regions there is an intermediate regime where fracture is governed by a shear and void growth 

combined mode. The point indicating the transition between shear dominated fracture and ductile 

fracture due to the void formation can vary depending on the type of material; typical values are 

in the range of 0.3 to 0.4.  

Using the ductile fracture model to predict the behaviour of the tested SSPs consistently 

led to an overestimation of their fracture capacity by 28%. Post-processing of the numerical 

simulations of the SSPs revealed indeed a state of stress characterized by values of the Lode 

angle parameter between 0.71-0.97 and triaxiality values in the range of 0.36-0.47 at the fracture 

locations. In addition, inspection of the fracture surfaces indicates that they fractured due to a 

combination of ductile (void nucleation and growth) and shear (slip planes) fracture. Thus, the 

Abaqus shear fracture criterion, based on Hooputra's fracture model [25], was adopted to 

consider the contribution of shear.  

Shear damage initiation criterion is used for modelling the onset of damage due to shear 

band localisation assuming that the equivalent plastic strain at the onset of damage 𝜀!
!" is a 

function of the shear stress ratio (𝜃!) and the strain rate, being: 

 𝜃! =
1− 𝑘!𝑇
𝜑  (5) 

where 𝑘! is a material parameter (assumed as equal to 0.3 in this work) and 𝜑 is the ratio of the 

maximum shear stress and the equivalent (von Mises) stress: 

 𝜑 =
𝜏!"#
𝜎!"

 (6) 

The damage initiates if the following condition is satisfied: 
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 ω! =
𝑑𝜀!"

𝜀!
!" 𝜃!, 𝜀!"

= 1 (7) 

where ω! is a state variable increasing with plastic deformation. The incremental increase in ω! 

is computed as below at each increment during the analysis: 

 Δ𝜔! =
Δ𝜀!"

𝜀!
!" 𝜃!, 𝜀!"

≥ 0 (8) 

Similarly, with the ductile damage, the strain rate can be ignored in quasi-static applications. 

Therefore, 𝜀!
!" is only dependent on 𝜃!.  

The calibration of the shear damage parameters is based on a phenomenological 

approach, comparing the numerical predictions with the experimental results for all the 

investigated SSPs. A value of the equivalent plastic strain at the onset of damage, equal to 0.20 

in this case, was assumed for a value of the shear stress ratio equal to 1.732 (corresponding to a 

stress state of pure shear). The adopted value of 𝜀!
!" was not set as constant because, due to the 

geometrical nonlinearities, the SSPs are not only subjected to shear forces, but, increasing the 

applied displacement, the axial forces become relevant. For this reason, to avoid an 

underestimation of the fracture capacity, a steep branch was defined for values of the shear stress 

ratio lower than 1.732. This was done to create a distinct slope discontinuity in the fracture locus 

previously defined by the calibrated SMCS criterion. Moreover, the same high slope branch was 

mirrored with respect to the lower shear stress ratio point (1.732) to create a cut-off region in 

shear for values of the shear stress ratio bigger than 1.732. A damage evolution law based on 

energy dissipation was adopted to control the material degradation after shear damage initiation; 

a value of the fracture energy per unit area equal to 500 N.mm/mm2, with a linear softening, 

proved to be efficient for all the tested SSPs. 

To verify the efficiency of the fracture parameters previously calibrated, FEM analyses of 

the CNSs were repeated taking into account both the ductile and shear damage behaviour. The 

results presented in Fig. 14 show that the fracture is satisfactorily captured for all the investigated 

CNSs.  

4.5.FEM model validation 

Comparisons between the experimental and numerical load-displacement curves of the tested 

SSPs are shown in Fig. 15. It can be seen that the FEM model using the above described fracture 
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models is capable of accurately predicting the response of SSPs in terms of initial stiffness, 

strength, and fracture displacement. Moreover, Fig. 16 shows that the fracture location predicted 

by the numerical model is consistent with the experimental observations. Thus, the developed 

numerical model incorporating the ductile and shear fracture criteria described above is reliable 

and can be used for parametric analyses of SSPs of various geometries. 

5. Parametric study 

To generalise the results of the experimental study, the validated FEM model was used to 

perform a series of simulations of SSPs with different geometric characteristics. The goal of the 

parametric study is to provide design charts for the strength and fracture capacity of SSPs of 

various sizes that will enable the design or retrofit of nominally pinned joints using the proposed 

structural details. For this scope, the geometric properties of the SSPs were modified to provide 

four levels of peak force, i.e. Fp = 400, 600, 800 and 1000 kN. The tests have shown that SSPs 

with ρ= 1 are the most efficient to resist large monotonic loading, and, therefore, the parametric 

study is performed only on the cylindrical SSPs. 

Table 4 summarises the parametric analyses. For each level of 𝐹!, four different lengths 

(LSSP) were considered, for a total of sixteen simulations. The lengths examined are 80, 120, 160 

and 200 mm, and they represent a reasonable range of lengths that can be used in different 

buildings depending on the geometrical constraints. As all specimens were cylindrical in the 

parametric study (De= Di), the diameter is referred to as “D” hereafter. 

The previously described FEM model was adopted varying the dimensions of the plates 

due to the changes in SSP geometry. To enable a meaningful comparison, the SSPs were inserted 

through a single row of aligned holes on the supporting plates to have a constant elevation over 

the base plate. The results of FEM analyses in terms of force versus displacement graphs are 

shown in Figs. 17 and 18, grouped according to the force level and the length, respectively. 

Fracture always occurred at one of the end sections of an SSP, where the bending 

moment and shear force are maximum, consistently with the experimental observation. Fig. 17 

and Table 4 show that the required peak force Fp can be achieved using different combinations of 

LSSP and D. It is further observed that the peak displacement, δp, increases significantly for 

longer SSPs. However, the ductility is reduced and the over-strength ratio is increased by 

increasing LSSP. Ductility values range from 27 to 53, indicating the exceptional deformation 
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capacity of the devices. The over-strength ratio values are also very large, ranging from 5.5 to 

almost 16. Furthermore, Fig. 18 and Table 4 show that, for a given LSSP, a stronger device means 

also a more ductile behaviour and a smaller over-strength ratio. 

Fig. 19 and Fig. 20 demonstrate the dependence of D and δp, respectively, to LSSP for each 

levels of Fp. These figures show that there is a linear increasing trend with increasing LSSP. These 

trends can be used to predict the required D and its expected δp, for a specific LSSP. 

6. Design procedure of the proposed joint 

Based on the parametric study, the design procedure for the proposed joint is herein presented. 

The SSP dimensions result from a combined force-displacement design criterion, i.e. calibrating 

the maximum force, Fp, on the required tie force, and ensuring that, at the same time, the 

displacement at peak load, δp, at least allows the rotation of 0.2 rad. Since there are different 

configurations that can satisfy the prescriptions on tie force and joint rotation, the design method 

consists of an iterative procedure:  

1. Compute the required tie force 𝑇!!" according to [3] as: 

 𝑇!!" = 𝐹!𝐿! = 3𝑤!𝐿!𝐿! (9) 

where wf is the floor load derived for the load combination for extraordinary events (1.2 Dead 

Load + 0.5 Live Load), L1 the greater of the distances between the centres of the columns in 

the direction under consideration, and L2 the mean transverse spacing of the adjacent spans. 

2. Identify the SSP length to be adopted depending on the joint dimensions and considering the 

possible geometrical constraints. 

3. Make a first attempt to select the desired number of pins for each side of the column (𝑛!!") 

and compute the required peak load for each of them as: 

   𝐹!,!"# = 𝜓!!"𝑇!!" 𝑛!!" (10) 

where 𝜓!!" is a safety factor equal to 1.1. 

4. Select a peak force level (400, 600, 800 or 1000 kN) which satisfies the equation below: 

 𝐹! ≥ 𝐹!,!"# (11) 

5. Given the SSP length, from the design chart provided in Fig. 19, find a diameter able to 

provide enough resistance. For this purpose, linear trendlines in terms of the SSP diameter 

versus SSP length are derived for each level of peak force, with the aim at evaluating the SSP 

fracture capacity in a wide range of lengths. The design equations to determine the SSP 
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diameter are expressed as (in mm): 

For 𝐹! = 400 kN: 𝐷 = 0.015 𝐿!!" + 21 (12) 

For 𝐹! = 600 kN: 𝐷 = 0.018 𝐿!!" + 26 (13) 

For 𝐹! = 800 kN: 𝐷 = 0.015 𝐿!!" + 30 (14) 

For 𝐹! = 1000 kN: 𝐷 = 0.025 𝐿!!" + 32 (15) 

6. According to the design chart of Fig. 20, where the SSP fracture capacity is shown in terms of 

peak displacement varying the SSP length, verify if the combination obtained at the previous 

step can satisfy the following condition: δp > δf,min. δf,min can be estimated as the maximum 

between 0.2d and 2L*sin2(0.2/2), where L* is calculated as L1/2 – p, being p the distance 

between the edge of the beam close to the investigated column and the nearest SSP. The first 

equation considers the bearing of the beam on the column (see Fig. 3a), whilst the second 

formula takes into account the relative horizontal displacement between the position of the 

SSPs before and after beam rotation due to large displacement, as shown in Fig. 3b. If the 

latter inequality is not satisfied, one can choose another combination restarting from Step 4, 

i.e. adopting a higher level of the peak force, or, if the geometry of the assembly provides 

enough space, enhance the SSP length. Another approach consists in increasing the length of 

the pins adopting a solution where the supporting plates pass outside the column flanges. The 

formulas for obtaining the peak displacements are (in mm): 

For 𝐹! = 400 kN: 𝛿! = 0.58 𝐿!!" + 32 (16) 

For 𝐹! = 600 kN: 𝛿! = 0.63 𝐿!!" + 41 (17) 

For 𝐹! = 800 kN: 𝛿! = 0.69 𝐿!!" + 40 (18) 

For 𝐹! = 1000 kN: 𝛿! = 0.63 𝐿!!" + 56 (19) 

7. To guarantee the bearing resistance of the supporting plates, their thickness, tsp, should be 

verified according to Eq. 20 [15], where units are in N and mm, and the Young's modulus of 

the supporting plate steel material was assumed equal to 200 kN/mm2: 

 𝑡!" =
3,546𝑀!

38,809𝐹!! + 40𝑀!𝑘!𝑓!,!"!
!.! − 197𝐹!

 (20) 

In Eq. 20, fy,sp is the yield strength of the supporting plates and kd is given by D1×D2/(D1-D2), 

where D1 is the holes diameter of the supporting plates and D2 the SSPs outer diameter 

(usually equal to D+10 mm). In the current application, to avoid yielding of the supporting 



16  

plates, the maximum force, Fp and the ultimate moment of resistance, Mu= D3/6 × fu.  

8. The bearing resistance of the beam web should be verified according to [26] to evaluate the 

need to weld reinforcing plates on both sides of the beam web. End and edge distances of 

supporting and reinforcing plates and spacing between bolts should finally be designed 

according to [26]. If the results of the previous verifications are not acceptable, it is necessary 

to reduce the bearing forces, Fp, increasing the number of SSPs (from step 3).  

9. The column at the joint level will have a reduced area due to the presence of the holes, and, 

thus, it must be checked against the design axial force. Note that buckling check at the joint 

level is not relevant. If the verification does not comply with the code requirements, the 

solution depends on the type of usage. If the joint is designed for a new building, a bigger 

column section must be selected. In the case of using the proposed joint for an existing 

structure, either the size of the rectangular holes can be reduced by sustaining only a portion 

of the supporting plates (moving the holes to the edge of column flanges) or a solution where 

the supporting plates pass outside the column flanges can be adopted. However, it is unlikely 

that the reduction in the column cross section at the joint level will govern the design of the 

column, since the column will have already been designed against buckling considering the 

actual length, which is a worse design case than the pure axial capacity check at the joint 

level. 

7. Case studies: retrofit of two vulnerable nominally-pinned joints for superior 

robustness 

Two different nominally-pinned beam-column joints were selected to examine the effectiveness 

of the proposed joint to prevent progressive collapse. Numerical models were developed to 

simulate the monotonic response of the joints. 

7.1.Case studies 

Table 5 summarises the case studies selected from two tested specimens available in the 

literature. Case study one (CS1) taken from [27], comprised two-span beam assembly with a 

section of W18×35 and A992 [28] steel material connected to a column section of W12×53 

(A992). The connection was provided by a fin plate of 102×9.5 mm made of A36 [29] steel and 

four ASTM A325 [30] bolts with a diameter equal to 19 mm. Case study two (CS2) is selected 
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from [31] which was composed of two beams with a section of UB305×165×40 connected to a 

central column with a section of UC203×203×71. A fin plate joint with three bolts was used to 

connect the beams to the column. The fin plate had dimensions of 100×8 mm and the bolts were 

M20 8.8. The beams and column were made of S355 [26], while the steel grade of the fin plate 

was S275. In both experimental tests, the free ends of the beams were constrained with a pinned 

condition, while the central columns were loaded downward and their displacements were 

recorded. In both tests, the beam-column connections were not able to sustain the prescribed 

loading for progressive collapse [3], and they ultimately failed due to bolt shear fracture. 

7.2.Numerical models for the unretrofitted joints 

Fig. 21 shows the FEM models used for the unretrofitted joints. The main details of the 

numerical models are described below: 

• Due to symmetry, only half of the specimens were modelled.  

• A general contact algorithm with Coulomb friction (friction coefficient = 0.4) and normal 

behaviour was defined to consider all possible interactions.  

• All components (columns, beams and stiffeners) were modelled by means of C3D8R 

elements. Only for CS2 assembly, the external part of the horizontal beam was defined 

with a two-node linear beam element in order to reduce computational time (Fig. 21b). 

• A992 and S355 steels were modelled in terms of true stress-strain relationship as an 

elastic-plastic von Mises material with isotropic hardening.  

• A monotonic displacement was imposed to the upper part of the column. A smooth step 

amplitude definition was adopted to avoid numerical errors at the beginning of the 

analysis [17]. 

• Bolts were defined according to the procedure proposed in [27], simulating each bolt row 

with a horizontal biaxial nonlinear spring, as illustrated in Fig. 22. The load-displacement 

relationship reported in Fig. 23, that reproduces yielding and failure, was defined both 

along the spring axis and the transversal vertical direction. The ultimate capacity of the 

bolts, both in tension and compression, was reproduced using a damage initiation 

criterion based on the relative motion. The interaction between axial and vertical shear 

forces was considered by coupling the longitudinal and transversal failure modes. Once 

the ultimate displacement is reached in one direction, the load capacity starts to decrease 
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up to zero, following a linear damage evolution law that simulates a steep softening 

behaviour due to the shear failure of the bolt. It is worth noting that, despite all the 

analyses being monotonic, the upper bolts can experience cyclic actions, i.e. compression 

at first stages and tensile force once the catenary action becomes more relevant due to the 

large deflections. For this reason, once the imposed vertical displacement becomes large 

enough to reverse the axial force in a connector, a quadratic unloading path in 

compression was adopted, as suggested in [27].   

7.3.Connector calibration  

The procedure to define the force-displacement relationship of the bolts consists in calculating: i) 

the elastic stiffness of the joint, k; ii) the minimum yield strength, both in compression, cy, and in 

tension, ty, related to the bolt shear resistance or bearing strength of the bolt holes; iii) the 

minimum ultimate capacity between bolt fracture and plate bearing failure (tu, cu); iv) the 

ultimate displacement, δu,t in tension, and δu,c in compression; and v) the displacement at which 

the failure occurs (δ0,t and δ0,c, equal roughly to 1.10 times the ultimate displacement to 

accurately capture the drop in resistance after bolt fractures and to avoid solution stability 

problems). 

For CS1 connectors, yield and ultimate strengths were equal to 99.0 kN and 147.4 kN 

respectively, being governed by bearing of the fin plate and bolt shear failure. Instead of 

introducing an initial gap equal to 1.6 mm in the horizontal direction as suggested by [27], a 

reduced value of the yield strength in compression was defined. This solution resulted in a better 

simulation of the experimental response in the earlier stages of the test, taking into account the 

effect of the clearance between the bolts and holes.  

For CS2, initially the elastic stiffness was empirically estimated. Due to the lack of 

information on the actual yield and ultimate stresses of the bolts, the following values were 

selected for the analysis: ty= cy= 120.6 kN, tu= cu= 165.0 kN. The former is the nominal yield 

shear resistance of the bolts [26], while the latter corresponds to the ultimate shear capacity 

calculated adopting 875 MPa as ultimate stress. Due to the initial slippage caused by the bolt 

clearances, a gap equal to 2 mm was considered in the axial direction (δg,t and δg,c in Fig. 23). 

Furthermore, because there was a significant bearing deformations around the bolt holes as 

reported in [31] and [32], the ultimate displacements δu,t and δu,c were raised adding 2.7 mm. 
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Table 6 summarises all values adopted for the connectors in the numerical simulations. 

7.4.Numerical results of the unretrofitted joints 

The validation of the models was performed in terms of vertical load versus vertical 

displacement of the column. Figs. 24a and 24b show comparisons between the FEM analyses 

and tests of CS1 and CS2, respectively. A good agreement between experimental results and 

numerical predictions can be observed for both case studies. The developed models were able to 

capture the experimental response in terms of maximum force, ultimate displacement and 

fracture of the bolts. 

In CS1, the simulation of an equivalent initial gap (only in compression) reproduced the 

structural response during the early stages of the test with satisfactory accuracy. The increase in 

stiffness between points A and B in Fig. 24a corresponds to the reversion of the axial force in the 

second bolt (from compression to tension). Once the second bolt reaches its yield strength (point 

B in Fig. 24a), a slight reduction in stiffness occurs. The total load, however, continues to grow 

until point C in Fig. 24a, when the fourth bolt reaches the fracture, resulting in an evident loss of 

load carrying capacity.  

In CS2, the numerical simulation was able to reproduce the structural behaviour of the 

specimen, exhibiting a good match in terms of initial slope and stiffness evolution until the first 

peak was reached, as demonstrated in Fig. 24b. After the first sudden loss of resistance (due to 

the shear failure of the lower bolt), the overall force tends to increase until the second bolt 

fractures.  

Both CS1 and CS2 structures exhibit a vulnerable response under a column loss scenario, 

not offering sufficient ductility and showing a rotation capacity at peak load less than 0.1 rad. 

7.5.Numerical models for the retrofitted joints 

The vulnerable joints CS1 and CS2 were retrofitted using the proposed structural details 

according to the design procedure described previously. Fig. 25 shows the assembly of the 

retrofitted joints. For the retrofitted CS1 (R-CS1), two SSPs for each side of the column (D= 22 

mm and LSSP= 75 mm) were selected as shown in Fig. 25a, while for CS2, three different retrofit 

configurations were investigated: a first one (R-CS2A) with the internal supporting plates (the 

supporting plates pass through rectangular holes on the column flange) and two SSPs each side 
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(D= 22 mm and LSSP= 60 mm) as demonstrated in Fig. 25b; a second solution (R-CS2B) where 

one SSP (D= 31 mm and LSSP= 95 mm) is used with the external supporting plates (the plates 

pass along the outside of the column flange, refer to Fig. 25c); and a third solution is also 

investigated where two SSPs (D= 22 mm and LSSP= 100 mm) are used along with the external 

supporting plates, as shown in Fig. 25d. The external supporting plates provide a practical 

solution when there is not enough available space between the column flange for internal 

supporting plates. With this solution, longer SSPs can be added to the joint, therefore a higher 

displacement capacity can be obtained. 

The design procedure resulted in supporting plates having a rectangular cross-section of 

30×90 mm for R-CS1, R-CS2A and R-CS2C and 40×120 mm for R-CS2B. Two reinforcing 

plates (with a thickness between 7 and 17 mm) were tied on each side of the beam web to resist 

the bearing force. Because there is only one SSP on each side of the column in R-CS2B, the 

bearing forces are higher. Therefore, thicker reinforcing and supporting plates are required. Two 

nuts were finally fixed at the external parts of each SSP to secure the SSPs against sliding.  

C3D8R elements were used for the added parts (supporting plates, reinforcing plates and 

nuts) with a mesh having an approximate global size varying in a range of 15-25 mm. A more 

refined mesh was adopted near the holes and along the thickness of the main structural elements 

to catch both in-plane as well as out-of-plane bending. The SSPs were modelled with the same 

mechanical properties and element type and size used in the parametric study.  

Similarly to the unretrofitted cases, the downward movement of the central unsupported 

column was applied by imposing a vertical displacement at the top surface of the column section. 

Only for R-CS2B and R-CS2C, to allow for the analysis to continue after the bolts fracture, the 

supporting plates were constrained to have the same vertical displacement as the upper node of 

the column through a linear multi-point constraint. 

The input parameters required for the retrofitting design and the SSPs geometry are 

summarized in Table 7 for each of the investigated cases. 

7.6.Numerical results of the retrofitted joints 

Fig. 26a shows the force versus displacement responses of CS1 and R-CS1. The proposed 

structural details significantly enhance both the resistance and the ductility of the joint. Up to a 

displacement of approximately 63 mm the responses of CS1 and R-CS1 are identical, as the 



21  

SSPs are not yet activated. Once the SSPs get in contact with the oversized web hole, the 

stiffness and strength increase substantially. The bolts fracture at the same displacement levels in 

the two systems, as shown by the sharp drops indicated in Fig. 26a. The retrofitted joint is able to 

provide a significant increase in vertical displacement without any evident loss of load carrying 

capacity until the fracture of SSPs. The structural collapse occurred at 677 mm corresponding to 

a joint rotation of 0.35 rad. Fig. 26b shows the deformed shape of the model at the above 

rotation, with the SSPs fractured at the middle section. The beam axial force at the peak load is 

equal to 1008 kN, which is bigger than the required tie force (TSSP= 686 kN) based on the 

dimensions of the prototype building in [27] assuming the dead and live loads of 5.5 and 4 

kN/m2, respectively. Thus, the retrofitted joint meets the regulatory requirements regarding both 

the rotation capacity and tie action. 

Fig. 27 shows the force versus displacement responses of CS2, R-CS2A, R-CS2B and R-

CS2C. During the first stages of the analysis, the responses are identical. At a displacement equal 

to 82 mm, the structural contribution of the SSPs is evident and both the retrofitted solutions R-

CS2B and R-CS2C follow the same path. R-CS2A shows a stiffer response because of the 

induced friction between the supporting plates within the holes of the column flange. After the 

fracture of the last bolt (1st bolt in Fig. 27) the response of R-CS2A is significantly stiffer due to 

the additional bending resistance of the supporting plates bearing on the holes of the column 

flange. Recall that the supporting plates pass outside the flanges in R-CS2B and R-CS2C and, 

therefore, they are not in contact with the column flanges. At point A for R-CS2B and point B 

for R-CS2C indicated in Fig. 27, the external supporting plates come into contact with the 

column flange due to the axial force in the SSPs. From this point forward, the plates are 

subjected to out-of-plane bending and a sharp increase in stiffness can be observed up to SSPs 

fracture. The fracture of SSPs occured at 700, 797 and 834 mm for R-CS2A, R-CS2B and R-

CS2C, respectively, corresponding to joint rotations 0.30, 0.34 and 0.36 rad, respecitively. SSPs 

fractured when the beam axial force was equal to 1034, 971 and 999 kN for R-CS2A, R-CS2B 

and R-CS2C, respectively, proving the capability of the devised system to withstand the 

prescribed tie force (TSSP= 667 kN) based on the dimensions and floor load of the prototype 

building introduced in [31], and ensuring, at the same time, adequate ductility.  

Fig. 28 shows the fracture in R-CS2A, R-CS2B and R-CS2C. In all retrofitted cases, the 

SSPs fractured at the mid-length, contrary to the experimental results that showed fracture should 
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have occurred at the ends of their length. This difference is because in the actual joint the 

supporting plates are free to out-of-plane bend, whereas in the component tests this motion was 

constrained using the stiffeneres described in the relevant section. Fig. 29 illustrates the fracture 

development of SSPs in R-CS1. First, the two plastic hinges form at the ends of their length and 

allow for large rotation of the SSPs, as shown in Fig. 29a. However, as the supporting plates 

move inwards, they facilitate a tensile-dominant behaviour, which is indicated in Fig. 29b, and 

eventually the SSPs behave as a tensile specimen with necking and fracture in the middle. 

Figs. 29c and 29d show the fracture of the first and second SSP, respectively. For this reason, the 

retrofitted cases achieved joint rotations much higher than the designed 0.2 rad. Thus, the design 

procedure using the test and parametric results and neglecting the out-of-plane bending 

contribution of the supporting plates is highly conservative. Nevertheless, the authors feel that it 

should not be altered as it is very diffucult to quantify the exact enhancement in the SSP 

displacement due to supporting plate bending, and the advantages in material saving will not be 

significant if a stricter design procedure is used. 

8. Conclusions 

A novel joint configuration was proposed for the design or retrofit of nominally pinned beam-

column joints against progressive collapse. The structural details proposed consist of a set of 

plates and stainless steel pins (or SSPs) that can be added to industry-standard joints to 

significantly increase both their tie resistance and ductility. Based on the experimental and 

numerical results of this study, the following conclusions are drawn: 

• The tests showed that the SSPs do not need to have hourglass-shaped bending parts as in the 

case of cyclic inelastic loading. Instead, a cylindrical shape results in both higher strength and 

ductility under excessive monotonic loading. 

• The calibrated fracture model based on circumferentially notched specimens and 

phenomenological observations for shear fracture is a reliable tool for the simulation of SSPs 

up to fracture.  

• The parametric study showed that SSPs possess exceptional ductility, with values in the range 

27-53. The SSPs also have a large over-strength ratio, with values in the range 5.5-16, 

depending on the geometry. 

• The parametric study showed that the peak displacement of an SSP increases significantly for 
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longer SSPs. However, the ductility is reduced, and the over-strength ratio is increased by 

increasing the length of the device. In addition, for a given SSP length, a stronger device 

means also a more ductile behaviour and a smaller over-strength ratio. 

• There is a linear trend between the diameter and length of an SSP for a given SSP strength; 

and the peak displacement and length of an SSP for a given SSP strength. These relationships 

are used to predict the required diameter and the ductility of the device according to the tie 

force requirements of a joint. 

• The case studies showed that the proposed joint details represent an effective retrofit scheme 

for enhancing both the tie force resistance and the rotation capacity of a steel joint under a 

column loss scenario. In particular, the implemented details in two previously tested 

vulnerable nominally pinned joints increased significantly both their tie capacity and ductility. 
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Table 1. SSP specimens specifications. 

Test No. De (mm) Di (mm) LSSP (mm) Type of nut 

26-1-W 26 26 100 Welded 

26-1-B 26 26 100 Bolted 

26-1.25-W 26 21 100 Welded 

26-1.25-B 26 21 100 Bolted 

26-1.5-W 26 17 100 Welded 

26-1.5-B 26 17 100 Bolted 

31-1-W 31 31 100 Welded 

31-1-B 31 31 100 Bolted 

31-1.25-W 31 25 100 Welded 

31-1.25-B 31 25 100 Bolted 

31-1.5-W 31 21 100 Welded 

31-1.5-B 31 21 100 Bolted 
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Table 2. Test results. 

Test No. δy (mm) Fy (kN) δp (mm) Fp (kN) µ= δp/δy Rs= Fp/Fy 

26-1-W 3.83 72 102.25 527 26.7 7.3 

26-1-B 4.96 73 104.92 537 21.2 7.4 

26-1.25-W 3.66 63 65.49 331 17.9 5.3 

26-1.25-B 3.96 64 66.69 329 16.8 5.1 

26-1.5-W 3.97 61 49.32 220 12.4 3.6 

26-1.5-B 3.93 60 50.36 223 12.8 3.7 

31-1-W 5.49 136 108.55 799 19.8 5.9 

31-1-B 5.41 135 106.97 764 19.8 5.7 

31-1.25-W 5.27 117 74.42 513 14.1 4.4 

31-1.25-B 5.56 120 72.85 509 13.1 4.2 

31-1.5-W 4.40 106 58.70 371 13.3 3.5 

31-1.5-B 5.40 101 57.06 361 10.6 3.6 

Note: The displacements above are calculated by deducting the initial gap between SSP and the 

internal plate. 
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Table 3. CNSs geometry adopted for the ductile damage calibration and validation. 

Specimen RN (mm) dNR (mm) Tmax 

CNS2 2 4 1.03 

CNS4 4 4 0.74 

CNS8 8 4 0.56 

RB8 ∞ 4 0.33 
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Table 4. Results of the parametric study. 

D 
(mm) 

LSSP 
(mm) 

δy 
(mm) 

Fy 
(kN) 

δp 
(mm) 

Fp 
(kN) µ= δp/δy Rs= Fp/Fy 

𝐹! = 400 kN 
22 80 1.97 51 78.18 379 39.7 7.4 
23 120 3.23 40 100.47 393 31.1 9.8 
23 160 4.12 27 123.51 375 30.0 13.8 
24 200 5.36 23 147.24 394 27.5 15.9 

𝐹! = 600 kN 
27 80 2.05 97 91.01 600 44.4 6.2 
28 120 3.16 71 117.68 604 37.2 8.5 
29 160 4.00 57 141.12 628 35.3 11.0 
29 200 5.03 45 167.20 612 33.2 13.7 

𝐹! = 800 kN 
31 80 1.89 144 95.51 813 50.5 5.7 
32 120 3.05 105 122.86 813 40.3 7.7 
32 160 4.12 77 150.12 777 36.4 10.1 
33 200 5.03 68 178.22 813 35.4 12.0 

𝐹! = 1000 kN 
34 80 2.02 187 106.32 1022 52.6 5.5 
35 120 3.10 139 131.06 1003 42.3 7.2 
36 160 4.09 113 156.09 1009 38.2 8.9 
37 200 5.06 95 181.93 1037 36.0 10.9 
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Table 5. Summary of test specimens for case-studies CS1 and CS2. 

Test Reference Steel joint 
type 

Beam 
section 

Column 
section Fin plate Bolt 

CS1 [27] Fin plate 
connection 

W18×35 
(A992) 

W12×53 
(A992) 

102×9.5 
mm 

(A36) 

N°4, ∅ = 19 
mm 

(A325) 

CS2 [31] Fin plate 
connection 

UB305×165×40 
(S355) 

UC203×203×71 
(S355) 

100×8.0 
mm 

(S275) 

N°3, M20 
(grade 8.8) 
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Table 6. Summary of force-displacement relationship for connection springs. 

CS1 [27] 

Behaviour 

Gap 
 

 
δg,t/c 

(mm) 

Elastic 
stiffness 

 
k 

(kN/mm) 

Yield 
displace

ment 
δy,t/c 

(mm) 

Ultimate 
displacement  

 
δu,t/c 

(mm) 

Failure 
displacem

ent  
δ0,t/c 

(mm) 

Yield 
Force 

 
ty= cy 
(kN) 

Ultimate 
Force 

 
tu= cu* 
(kN) 

Axial 0.00 366.7 0.27 15.80 17.20 99.0* 147.4* 
Shear 0.00 366.7 0.27 15.80 17.20 99.0 147.4 

CS2 [31] 

Behaviour 

Gap 
 
 

δg,t/c 
(mm) 

Elastic 
stiffness 

 
k 

(kN/mm) 

Yield 
displace

ment 
δy,t/c 

(mm) 

Ultimate 
displacement  

 
δu,t/c 

(mm) 

Failure 
displacem

ent  
δ0,t/c 

(mm) 

Yield 
Force 

 
ty= cy 
(kN) 

Ultimate 
Force 

 
tu= cu 
(kN) 

Axial 2.00 35.0 5.45 15.55 16.95 120.6 165.0 
Shear 0.00 35.0 3.45 10.85 11.85 120.6 165.0 

*A reduced value of the force has been adopted only in compression to simulate the gap. 
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Table 7. SSPs geometry and design parameters for case-studies R-CS1, R-CS2A, R-CS2B and 

R-CS2C. 

Test 
N° 
(-) 

D 
(mm) 

LSSP 
(mm) 

Fp 
(kN) 

Fp,min 
(kN) 

δp* 
(mm) 

b×h 
(mm) 

tRP 
(mm) 

R-CS1 2 22 75 400 377 75.5 30×90 7 
R-CS2A 2 22 60 400 367 66.8 30×90 7 
R-CS2B 1 31 95 800 734 105.5 40×120 17 
R-CS2C 2 22 100 400 367 90.0 30×90 7 

*δf,min= 44.9 mm for R-CS1 and δf,min= 43.4 mm for R-CS2. 
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a) 

 
b) 

 

Fig. 1. a) Geometry of half an SSP; b) deformed SSP. 
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a) b) c) 

 

Fig. 2. Joint configuration for full-depth end plates: a) individual components; b) joint assembly; 

c) use of U-shaped supporting plate for external corner columns. 
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a) 

 
b) 

 

Fig. 3. Joint behaviour under loss of column in the main beam direction: a) bearing of the beam 

on the column flange; b) free rotation of the beam.  
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a) b) 

  
c) d) 

Fig. 4. a) Test setup; b) upper supporting plates dimensions in mm; c) lower supporting plates 

dimensions in mm; and d) specimen in the test setup under loading. 
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De= 26 mm, De/Di= 1 De= 31 mm, De/Di= 1 

  
De= 26 mm, De/Di= 1.25 De= 31 mm, De/Di= 1.25 

  
De= 26 mm, De/Di= 1.5 De= 31 mm, De/Di= 1.5 

 

Fig. 5. Dimensions of tested SSPs, in mm. 
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a) b) 

 

Fig. 6. a) Welded nut to a SSP; b) bolted nut to a SSP. 
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Fig. 7. Force-displacement curves of SSPs with De= 26 mm. 

  



40  

 
 

Fig. 8. Force-displacement curves of SSPs with De= 31 mm. 
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Fig. 9. Fractured SSPs. 
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Fig. 10. The finite element model and mesh discretisation. 
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a) b) 

 

Fig. 11. a) True stress-strain used in FEM model; and b) engineering stress-strain curves for 

duplex stainless steel. 
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a) 

 
b) 

 

 

c)  
 

Fig. 12. CNSs dimensions in mm along the gauge length for a) CNS2; b) CNS4; and c) CNS8. 
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          a) 

 
           b) 

 
             c) 

 

Fig. 13. The finite element models used for a) CNS2; b) CNS4; and c) CNS8 simulations. 
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a) b) 

  

 

 

  
c) d) 

 
Fig. 14. Experimental vs. numerical load-displacement curves and FEM model at fracture for 

a) Round bar; b) CNS2; c) CNS4; and d) CNS8 tests. 
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a) b) 

 

 

c) d) 

 
 

e) f) 
 

Fig. 15. Comparison between experimental and FEM results for: a) 26-1-W and 26-1-B; b) 31-1-

W and 31-1-B; c) 26-1.25-W and 26-1.25-B; d) 31-1.25-W and 31-1.25-B; e) 26-1.5-W and 26-

1.5-B; and f) 31-1.5-W and 31-1.5-B.  
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a)  

 

 

b)  

 

Fig. 16. Numerical versus experimental fracture in SSPs: a) fracture in an hourglass SSP; and b) 

fracture in a cylindrical SSP. 
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a) b) 

  

  
c) d) 

 
Fig. 17. Vertical load-displacement diagrams of SSPs for different levels of peak force.  
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a) b) 

  

  
c) d) 

 
Fig. 18. Vertical load-displacement diagrams of SSPs for different lengths of SSPs.  
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Fig. 19. Variation of diameter of an SSP as function of its length for different levels of peak 
force.  
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Fig. 20. Variation of peak displacement of an SSP as function of its length for different levels of 
peak force. 
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a) 

 

b) 
 

Fig. 21. The finite element model and mesh discretization for: a) CS1; and b) CS2. 
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a) b) 
 

Fig. 22. a) Connectors simulating the bolts in the numerical models for: a) CS1; and b) CS2. 
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Fig. 23. Force-displacement relationship for connector wires [27]. 
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a) b) 
 

Fig. 24. Numerical predictions and experimental results for: a) CS1 two-span beam assembly 
with four-bolt connections (data from [27]); and b) CS2 two-span beam assembly with three-bolt 

connections (data from [31]). 
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a) b) 

 

 

c) d)  
 

Fig. 25. The finite element models for: a) R-CS1; b) R-CS2A; c) R-CS2B; and d) R-CS2C. 
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a) b) 
 

Fig. 26. a) Comparison of numerical results for CS1 and R-CS1; and b) SSP fracture in the FEM 
model for R-CS1. 
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Fig. 27. Comparison between numerical results of CS2 and R-CS2A, R-CS2B, and R-CS2C. 
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a) b) 

 
c) 

 
Fig. 28. SSP fracture in the FEM models for a) R-CS2A; b) R-CS2B; and c) R-CS2C. 
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a) b) 

  

c) d) 

 

Fig. 29. SSPs fracture development in R-CS1 (the beam and reinforcing plates are removed for a 
clear view): a) Plastic hinge formation in SSPs; b) tensile action in SSPs and onset of necking; c) 

rupture in the SSP farthest from the column; and d) fracture of the last SSP. 
 

 
 


